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Effects of Displacement History  
on Failure of Lightly Confined  

Bridge Columns

by R.T. Ranf, M.O. Eberhard, and J.F. Stanton

Synopsis:  Six nominally identical reinforced concrete columns were subjected 
to a variety of lateral displacement histories to evaluate the effects of cycling on 
their failure displacement and failure mechanism.  The columns, typical of bridges 
constructed before the mid-1970s, had circular cross-sections, low axial loads, and 
little transverse reinforcement.  Shear failure caused five of the six columns to lose 
their axial load carrying ability at drift ratios between 3% and 5%.  The sixth column 
failed in an axial-flexure mode at a drift ratio of 6%.   
Increasing the number of cycles at each displacement level from one to fifteen 
decreased the maximum displacement preceding flexure-shear failure by 
approximately 35%.  The effect of cycling on damage accumulation was modeled with 
the Park-Ang damage model, a Modified Park-Ang damage model, and a Cumulative 
Plastic Deformation damage model.  The Cumulative Plastic Deformation model 
correlated best with the observed damage, and it was the easiest to implement. 
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INTRODUCTION

The San Andreas fault and the Cascadia subduction zone have the potential for 

generating large-magnitude, long-duration earthquakes that might last several minutes 

(Heaton and Kanamori 1984, Kramer et al. 1998).  Such long-duration earthquakes would 

impose numerous cycles of displacement on structures (Price 2000).  Engineers need 

tools to evaluate the effects of this repeated cycling on damage accumulation in 

structures, especially in older reinforced concrete systems.

This paper discusses the effects of cycling on damage in laterally-loaded reinforced 

concrete columns typical of bridge construction of the 1950s, 1960s and early 1970s.  

Such columns usually have low axial loads and much less transverse reinforcement than 

is required in new bridges (Eberhard and Marsh 1997).  The effect of cycling was 

investigated using three damage models: the Park-Ang damage model (Park and Ang 

1985); a modified version of the Park-Ang model that does not require an estimate of the 

yield displacement; and the Cumulative Plastic Deformation damage model.

EXPERIMENTAL PROGRAM 

This section describes the methodology followed to proportion the prototype column, the 

resulting test column properties, the testing setup, the instrumentation, and the testing 

procedure for the test columns.  Ranf et al. (2005) provide details of the experiments. 

Column prototype

The prototype was selected to be typical of circular bridge columns built before 

transverse reinforcement requirements increased following the 1971 San Fernando 

earthquake.  Such older columns have suffered damage in many past earthquakes 

(Moehle and Eberhard 1999).  Table 1 provides specifications and properties of typical 
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bridge columns built between the late 1940s and the early 1980s in Washington State 

(Ruth and  Zhang 1999).

On the basis of the data provided in Table 1, the yield strength of the longitudinal and 

transverse reinforcement for the prototype column was chosen as 44 ksi (303 MPa), 10% 

larger than the specified minimum for columns built before 1977.  The concrete strength 

for the prototype was chosen as 6000 psi (41.4 MPa), 50% larger than the specified 

minimum for columns presented in Table 1.  This increase reflects the effects of long-

term strength gain and of the difference between the expected mean and specified 

strengths (Priestley et al 1992). 

The prototype geometry was based on the results of a survey by Ruth and Zhang (1999) 

of 33 bridges in Washington State that were built between 1957 and 1969.  They found 

that the diameter of 212 of the 216 columns (98%) in these bridges was between 4 and 6 

feet (1219 and 1829 mm), with approximately half of these columns having a diameter of 

5 feet (1524 mm).  The lengths of the majority of columns ranged from 20 to 25 feet 

(6096 to 7620 mm).  Assuming that the distance between the footing and the inflection 

point is slightly larger than half the column length, these fixed columns have cantilever 

lengths of about 15 feet (4572 mm) and an aspect ratio of 3.  The transverse 

reinforcement for the surveyed columns consisted nearly always of #4 hoops at 12 in. 

(305 mm) spacing, independent of the column diameter.

Based on these findings, the prototype column was chosen to be 5 feet in diameter with 

#4 hoops spaced at 12 in. (305 mm) and an overlap of 24 in. (610 mm).  The minimum 

cover to the outside of the hoop was chosen to be 1.5 in. (38.1 mm), resulting in a 

volumetric ratio for the transverse reinforcement of 0.12%.  This value is far below the 

current transverse reinforcement requirements of at least 0.56% in non-seismic 

applications and 1.2% in seismic applications (AASHTO 2004).  The longitudinal 

reinforcement ratio (ρ
l
 = A

s
/A

g
, where A

s
 and A

g
 are the areas of the longitudinal steel 

and column cross-section) was assumed to be 1.0%, because this value is common in 

practice.  The axial-load ratio (P/A
g
f’

c
, where P and f’

c
 are the axial load and the concrete 

compressive strength) was selected as 10%.  This value is at the high end of the range for 

bridge columns in practice. 

Test columns

The test columns were designed to be 1/3 the size of the prototype, resulting in a model 

column height and diameter of 5 feet (1524 mm) and 20 in. (508 mm), respectively. The 

geometry and reinforcement of the test columns are shown in Fig. 1.  Table 2 compares 

key properties of the prototype and test columns.

The material properties of longitudinal and transverse reinforcement are listed in Table 3.  

Reinforcing bars with a yield strength of 44 ksi (303 MPa) were not available, so ten D16 

grade 420 bars were used as the longitudinal reinforcement.  This choice preserved the 

reinforcement ratio and the scaling for bar size, but resulted in a tension strength that was 

approximately 50% greater than that of the prototype. Concrete cover and maximum 

aggregate size were scaled to the nearest available dimension. 
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The transverse reinforcement for the prototype columns was #4 bars at 12 in. (305 mm) 

centers with f
y
 = 44 ksi (303 MPa).  Scaling all features of the ties was not possible, so 

instead, the transverse reinforcement was modeled with W2.5 smooth wire hoops at 4 in. 

(102 mm) centers.  With this arrangement, the hoop spacing, transverse bar diameter and 

transverse reinforcement ratio were scaled to within 15% of their ideal values.  However, 

because this material has a yield strength, f
y
, of 80 ksi (552 MPa), the tension strength per 

bar was twice its ideal value.  Furthermore, W2.5 wire was only available in smooth wire, 

which would be expected to have weaker bond properties than those of a #4 deformed 

bar.

The six test specimens were cast in four pours, (two for the footings, and two for the 

columns and hammerheads).  Concrete cylinders were stored in the laboratory fog room 

until they were tested.  The compressive strength, f’
c
, split cylinder tensile strength, f

ct
,

and elastic modulus, E
c
, for each concrete batch are reported in Table 4.  Nearly all tests 

for the material properties were conducted within two days of column testing.  However, 

the elastic modulus for column S1 was determined on the day of testing for column S15.  

Additionally, the compression tests for column C3R were conducted approximately three 

weeks after testing.

The average concrete compressive strength of the first four columns tested (S3, C2, C4 

and C3R) was 8050 psi (55.5 MPa), 34% larger than the target 56-day strength of 6000 

psi (41.4 MPa).  This discrepancy can be partly attributed to the average age at testing of 

the specimens in the group of 192 days.  The average strength of the last two columns (S1 

and S15) was 5570 psi (38.4 MPa), which was closer to the target value of 6000 psi 

(41.4 MPa).  The strength of the concrete in the footings was nearly 30% higher for S1 

and S15 (average of 6360 psi) than for the other four columns (average of 4980 psi). 

Test setup

The testing apparatus was designed to maintain a constant axial load while subjecting the 

column to transverse cyclic displacements (Fig. 2).  An axial load of approximately 

0.1f’
c
A

g
 was applied to each column through a steel cross-head placed on a spherical 

bearing on the column hammerhead, stressed to the floor by two high-strength rods.  The 

transverse load was applied to the hammerhead using a servo-controlled actuator.  The 

column footing was anchored to the floor using two high-strength rods, each stressed to 

125 kips (556 kN).

Instrumentation

The instrumentation scheme is shown in Fig. 3. Axial and lateral forces were measured 

using load cells. Transverse displacements were measured using five potentiometers at 

various heights up the column, with two more at the base to monitor footing slip.

Reinforcement strains and relative cross-sectional rotations were measured in columns 

S3, C2, C4 and C3R, but not in S1 and S15.  Eight strain gauges were placed on each of 

the two longitudinal bars that were nearest to the front and back faces of the column (bars 
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A and C in Fig. 3).  One gauge was also placed on the two longitudinal bars that were 

nearest to the column sides (bars B and D in Fig. 3).  The transverse reinforcement was 

instrumented with strain gauges at four elevations: 2, 6, 10 and 18 inches (51, 152, 254 

and 457 mm) above the top of the footing. 

Testing procedure

The naming convention for the columns, provided in Table 5, was based on the 

characteristics of the imposed displacement histories (Table 6).  The histories were 

chosen to provide a wide range of displacement paths with which to calibrate damage 

models.

The displacement histories were based on a sequence of nine drift ratios, ranging from 

0.27% to 5.72%, each being approximately 1.5 times the previous one. Two series of 

displacement histories were applied to the columns (“C” and “S”). The main portion of 

the displacement history for columns C2, C3R and C4 consisted of at least 10 cycles of 

displacement amplitude at drift ratios of approximately 2%, 3% and 4%, respectively.  

Column C3R had the additional “R” designation, because after cycles were applied at a 

drift ratio of 3%, the level of displacement was reduced to a drift ratio of 2% 

The S test series consisted of “standard” displacement history, in which the displacement 

amplitudes increased consistently throughout the test, although at different rates.  

Columns S1 and S3 were subjected respectively to 1 and 3 cycles at each of the standard 

drift ratios.  The S3 loading therefore resembles closely a loading pattern used by many 

researchers in the past (e.g., Lehman et al, 2004).  Column S15 was subjected to 15 

cycles between each standard drift ratio in such a way that the amplitude of each half 

cycle was a constant multiple of the previous one.  This unusual displacement history was 

developed in order to achieve large values for dissipated energy and accumulated plastic 

strain while increasing the maximum displacement very gradually.  Separating energy 

from maximum displacement in this way is necessary for evaluating the relative 

importance of the components of damage models.  The damage models are discussed 

later in this paper. 

FORCE-DISPLACEMENT RESPONSE 

The effective force-displacement histories for each column are shown in Fig. 4.  The 

effective force is equal to the maximum column moment divided by the length of the 

cantilever column.  It includes the effect of both lateral and vertical loads.  The drift ratio 

is given by the transverse column displacement divided by the cantilever column length. 

The variations in the maximum effective forces of the six test columns are primarily 

attributable to variations in the material properties and axial load.  For example, because 

the concrete strengths for columns S1 and S15 were lower than those for columns S3, C2, 

C4 and C3R, the axial load was also smaller to maintain the same axial-load ratio.  Ranf 

et al. (2005) showed that the measured flexural strength of the columns can be 

reproduced accurately with moment-curvature analyses.  The ratio of the measured 
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maximum moment to the calculated maximum moment for the six columns had a mean 

of 1.1 and a coefficient of variation of 5.1% (Ranf et al. 2005). 

Fig. 5 shows the axial load-horizontal displacement history for each column.  The target 

axial-load ratio for each test was 10%.  The axial load varied significantly with the 

horizontal displacement for columns S1, S3, and C4, but the maximum load applied to 

the columns never exceeded 15% of A
g
f
c
’.  The axial load was adjusted continuously for 

columns S15, C2 and C3R.

The yield displacement of each column was determined experimentally using two 

methods.  For columns with strain gauges (columns S3, C2, C4 and C3R), the initial yield 

displacement was determined from the point at which the first strain gauge at the column 

base reached the yield strain of the longitudinal reinforcement.  For all six columns, the 

initial yield displacement was also obtained from the measured force-displacement 

envelope based on the moment at initial yield, M’
y
.  Table 7 shows that the yield 

displacements calculated with both methods were similar for the four columns in which 

both measurements were available.

Table 7 also shows that the yield displacements are clustered into two groups:  columns 

S1 and S15 had an average ∆
y
 of 0.26 in. (6.48 mm), whereas columns S3, C2, C4, and 

C3R had an average ∆
y
 of 0.37 in. (9.27 mm).  The difference between these two groups 

was attributed to additional anchorage slip caused by the presence of strain gauges in the 

footings of columns S3, C2, C4 and C3R; and to the higher strength and elastic modulus 

of the footing concrete in S1 and S15. 

INFLUENCE OF CYCLING ON DAMAGE ACCUMULATION 

All of the columns yielded in flexure, spalled at their bases, and experienced buckling of 

the longitudinal bars before shear damage was observed.  This behavior was consistent 

with the flexural damage model developed by Berry and Eberhard (2003), which 

estimated the onset of spalling and bar buckling at drift ratios of 1.87% and 4.00%, 

respectively.  Table 8 shows the maximum column displacement, the hysteretic energy 

dissipated, and the cumulative plastic deformation for each column at 20% and 50% loss 

of flexural strength and at loss of axial load.

Fig. 6 shows the effect of cycling on the maximum displacement at 20% loss of flexural 

strength.   The drift ratio for this damage state decreased as cycling increased, regardless 

of whether cycling was quantified in terms of dissipated energy or cumulative plastic 

deformation.   In contrast, no trends were apparent when the maximum displacement was 

quantified in terms of the displacement ductility, because the yield displacement varied 

among the columns (Table 7).  Ranf et al.  (2005) show that the trends were similar for 

50% strength loss. 

All of the columns eventually lost their ability to carry the imposed axial load (Fig. 5).  

The effect of cycling on loss of axial-load carrying capacity is shown in Fig. 7.  As with 

the other damage states, cycling tended to decrease the displacement at failure.  The 
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exception was column C4 (the only column to have an axial-flexure failure), which failed 

at a higher drift ratio (6%) than any of the other columns.  Five of the six columns had a 

shear-flexure failure mode, in which a large diagonal crack formed within the hinge 

region at the base of the columns (Fig. 8a).  The sixth column failed in an axial-flexure 

mode, without the formation of a diagonal crack (Fig. 8b).

CALIBRATION OF DAMAGE MODELS 

The effect of cycling on damage accumulation in each column was characterized using 

three damage models.  The Park-Ang damage model (Eq. 1) is the method most 

commonly used for characterizing the effect of cycling on damage. 
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∆

+

∆

∆

= βα
max
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in which D is the damage index level, ∆
max

 is the maximum displacement experienced by 

the structure, ∆
y
 is the yield displacement,  E

h
 is the hysteretic energy dissipated during 

cycling, F
y
 is the force at yield.  The dimensionless coefficients α and β are obtained by 

calibration against measured test data.  To estimate E
h
, it is necessary to know (or 

estimate) a column’s cyclic force-displacement history, because this parameter is 

sensitive to the shape of the hysteresis loops.  The Park-Ang model is also sensitive to the 

accuracy of the estimation of the yield displacement, which appears in the denominator of 

both terms.  As mentioned previously, the yield displacements of columns S1 and S15 

were significantly smaller than the yield displacements of the other four columns 

(Table 7). 

To reduce the model’s sensitivity to the yield displacement, a Modified Park-Ang model 

was investigated, which normalizes the data by the column length, L, instead of the yield 

displacement.  This model is given by the equation 

y

h

mm
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E

L
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            (2) 

where α
m
 and β

m
 are dimensionless coefficients.

A third model, called the Cumulative Plastic Deformation damage model, was developed 

to characterize the effects of cycling through the total amount of plastic deformation 

experienced by the column, and is given by.

LL

D

p

pp

Σ∆

+

∆

= βα
max               (3) 

where α
p
 and β

p
 are dimensionless coefficients.  This model can be implemented on the 

basis of a column’s displacement history, without needing to estimate the force history.  

Also, the value of Σ∆
p
 is insensitive to the shapes of the hysteresis loops.  
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Each of the damage models was calibrated using a least squares best-fit approximation of 

the data shown in Table 8.  Because column C4 eventually experienced a flexural failure, 

as opposed to flexure-shear failures of the other five columns, the damage models at the 

loss of axial load damage state were calibrated both with and without the data from 

column C4.  Figs. 6 and 7 show these best-fit lines, and illustrate that because the data for 

columns S1, S3, C2, C4 and C3R are clustered together, the least squares fit depends 

heavily on the data for column S15. 

The damage model coefficients for each damage model (α and β in Eq. 1, α
m
 and β

m
 in 

Eq. 2, and α
p
 and β

p
 in Eq. 3), and the correlation coefficient (R

2

) for the best-fit lines are 

provided in Table 9 for each damage state.  The correlation coefficients are extremely 

low for the Park-Ang model.  This is due to the variation in the values of measured yield 

displacements of the nominally identical columns.  The correlation coefficients for both 

the Modified Park-Ang damage model and the Cumulative Plastic Deformation damage 

model are similar for each damage state, particularly at 20% and 50% loss of lateral load.  

The correlation coefficient was the highest (R
2

 = 0.68) for the Cumulative Plastic 

Deformation damage model for the loss-of-axial-load damage state. 

SUMMARY AND CONCLUSIONS 

Six columns were subjected to a variety of displacement histories to evaluate the effects 

of cycling on the failure displacement and mechanism of lightly confined reinforced 

concrete columns.  Damage accumulation was evaluated for three levels of column 

damage: 20% loss of flexural strength, 50% loss of flexural strength, and loss of axial-

load carrying capacity.  Cycling reduced the displacement at which the flexural strength 

of the columns decreased (20% or 50%) and when the columns lost their ability to carry 

the imposed axial load.  For example, the maximum displacement preceding flexure-

shear failure decreased by 35% when the number of cycles at each displacement level 

was increased from one to fifteen. 

Three damage models were used to characterize the effect of cycling on damage 

accumulation.  The Park-Ang (1985) damage model accounts for cycling in terms of the 

dissipated hysteretic energy, and it normalizes this data by the yield force and yield 

displacement.  Although the six columns were nominally the same, the measured yield 

displacements of columns S1 and S15 were significantly smaller than the yield 

displacements of columns S3, C2, C4 and C3R.  Consequently, the Park-Ang damage 

index, which is sensitive to the estimate of the yield displacement, correlated poorly with 

the observed damage. 

The Modified Park-Ang damage model normalized the displacement demands by the 

yield force and column length.  Although this model reduced the sensitivity of the model 

to the variations in estimated yield displacement, it was still necessary to estimate the 

cyclic, force-displacement response to compute dissipated hysteretic energy. 

The Cumulative Plastic Deformation damage model quantifies cycling as the summation 

of the column displacement beyond yield, and normalizes these data by the column 
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length.  Although it is still necessary to estimate the yield displacement, this model is 

relatively insensitive to inaccuracies in the estimate of the yield displacement. Of the 

three damage models studied, the Cumulative Plastic Deformation model yielded the best 

correlation coefficient (highest R
2

).  This measure has the additional advantage that it can 

be computed without estimating the force-displacement history for the column.  The 

Cumulative Plastic Deformation damage model is the most effective method for 

characterizing the effect of cycling on a column’s shear strength, because it fit the data 

best, and it was the easiest to implement.
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NOTATION

A
g
   – Column cross-sectional area 

A
s
   – Total area of longitudinal 

reinforcement

D – Damage index 

E
c
 – Elastic modulus of concrete 

E
h
 – Hysteretic energy dissipated 

F
y
 – Column yield strength 

f’
c
 – Concrete strength 

f
ct
 – Concrete tensile strength 

f
y
 – Yield stress of steel 

L – Column length 

M’
y
 – Column moment at initial yield 

P – Axial load 

α – parameter for Park-Ang damage 

model

α
m
 – parameter for Modified Park-Ang 

damage model 

α
p
 – parameter for Cumulative Plastic 

Deformation damage model 

β – parameter for Park-Ang damage 

model

β
m
 – parameter for Modified Park-Ang 

damage model 

β
p
 – parameter for Cumulative Plastic 

Deformation damage model 

∆ – Column displacement 

∆
max

 – Maximum column displacement 

∆
y
 – Column yield displacement 

ε
y
 – Yield strain of longitudinal steel 

ρ
l
 – Longitudinal reinforcement ratio 

ρ
t
 – Transverse reinforcement ratio 
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Figure 1 – Test column geometry and reinforcement.

Figure 2 – Testing apparatus.
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Figure 3 – Column instrumentation.
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Figure 4 – Effective force – displacement histories.
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Figure 5 – Axial load versus horizontal displacement histories.
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Figure 6 – Drift ratios at 20% loss of flexural strength for the: (a) modified Park-Ang; 
and (b) cumulative plastic deformation damage models.

Figure 7 – Drift ratios at loss of axial load for the: (a) modified Park-Ang; and 
(b) cumulative plastic deformation damage models (calibration excludes column C4).
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Figure 8 – Examples of: (a) flexure-shear failure; and (b) axial-flexure failure.
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